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Abstract

Major developments in geotechnical earthquake engineering practice over the last 15 years are reviewed. The objectives of the review are
to present a coherent view of the current state of practice at the highest level and to examine trends, which may shape practice in the future.
Developments are described in the following areas: specification of design ground motions, dynamic response analysis, evaluation of
liquefaction potential, evaluation of residual strength of liquefied soil, post-liquefaction displacement analysis, and seismic risk analysis.
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1. Introduction

Major developments have occurred in many areas of
geotechnical earthquake engineering over the last 15
years. Some of the more important of these developments
will be reviewed critically here to provide an understanding
of the current state-of-the-art at the highest level of engi-
neering practice. The major areas of practice that are exam-
ined are the specification of design ground motions,
dynamic response analysis, evaluation of liquefaction
potential, evaluation of residual strength of liquefied soil,
post-liquefaction displacement analysis, and seismic risk
analysis.

The broad coverage of the review precludes a detailed
presentation of each development. The reader is presumed
to be familiar enough with the area of specialization in
which a particular development occurred to appreciate its
significance.

2. Specification of design ground motions

2.1. Review of strong motion data

The study and interpretation of the huge volume of strong
motion data accumulated in the last decade has greatly clar-
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ified our understanding of the seismological and geological
parameters that control the recorded response and the varia-
bility of ground motions.

There are two important publications, which provide an
up-to-date critical evaluation of theoretical and empirical
methods for estimating ground motions and the important
parameters that control seismic response, which are parti-
cularly helpful to geotechnical earthquake engineers. These
are a state-of-the-art paper by Somerville [1] on ground
motions and the January/February 1997 special issue of
Seismological Research Letters published by the Seismolo-
gical Society by America [2] dealing with attenuation rela-
tions for ground motions. These reports form the basis for
the general review of ground motions given below.

The seismic motions for design are usually specified by a
response spectrum. The spectrum is based on a probabilistic
seismic hazard analysis and represents ground motion
having a specified annual probability of exceedence. The
modern trend is to base design on an equal hazard spectrum,
that is, a spectrum that has an equal probability of excee-
dence at all periods. In Eurocode 8 [3] the design spectrum
has a probability of exceedence of 10% in 50 years corre-
sponding to a probability of 1/475. There are plans in the
USA for implementing an annual probability of exceedence
of 2% in 50 years in the Uniform Building Code [4].

A major problem in determining equal hazard spectra by
probabilistic analysis is characterizing the variability in
ground motions. Two types of uncertainty in ground motion
estimates have been identified; aleatory uncertainty due to
the random nature of response to earthquakes and epistemic
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Fig. 1. Response spectra for forward directivity conditions for a M =7
earthquake at a distance of 5 km on soil. Response spectra are shown for
strike-normal, strike-parallel and average horizontal components (after
Somerville and Graves [8]).

uncertainty, which is due to our lack of knowledge of the
processes linking a seismic event to a resulting ground
motion at a site. More research and more data can reduce
epistemic uncertainty, but the aleatory uncertainty remains.
At the practical level, two important sources of variability
have been identified by Abrahamson and Youngs [5]. One is
the variability of average ground motions from one event to
the next, and the other is the variability in ground motions
between sites equidistant from the earthquake in a given
event. Youngs et al. [6] found that for crustal earthquakes
larger than M = 6, the event to event variability was insig-
nificant compared to the intra-event variability.

A key element in seismic hazard analysis is the ground
motion model or attenuation relation. Variation of ground
motion parameters about the mean attenuated motions are
usually assumed to be log-normally distributed. In the past,
these attenuation relationships were based on magnitude,
distance and site category. However, in the last decade
attenuation laws have been developed that include other
parameters, which are now known to be significant. These
include the tectonic environment, style of faulting and the
effects of topography, deep basin edges and rupture
directivity.

Three main tectonic environments give significantly
different ground motion characteristics: shallow crustal
earthquakes in tectonically active regions, shallow crustal
earthquakes in tectonically stable regions, and subduction
zone earthquakes. These distinctions are recognized and
applied in practice in North America and New Zealand,
but ignored in most other regions of the world [1].

Ground motion data suggest that ground motions depend,
in a significant way, on the style of faulting. Ground motions
from reverse faulting may be up to 20% greater than from
strike slip earthquakes, and those from normal faulting may
be up to 20% lower than those from strike slip earthquakes.

Somerville and Sato [7] suggest that these differences may
be related to the rise time of slip on the fault.

Near fault ground motions are strongly affected by direc-
tivity. Ground motions in Kobe, within 5 km of the fault,
showed a ratio of more than 2 to 1 between strike normal
and strike parallel ground motion components. The motions
propagated along the fault towards Kobe and there were
strong directivity effects. Forward directivity occurs when
both the rupture and the direction of slip on the fault are
towards the site. These conditions are usually met in strike
slip faulting. Forward directivity increases the level of spec-
tral response of the strike normal component for periods
longer than 0.5 s. Backward directivity effects occur when
the rupture propagates away from the site and has the oppo-
site effect. In this case, the longer period motions have lower
amplitudes. The conditions for forward directivity are also
met in both reverse and normal faulting. The rupture direc-
tivity effects from these deep slip faults are produced at sites
located around the surface exposure of the fault. Somerville
and Graves [8] developed modifications to empirical ground
motion attenuation relations to account for the effects of
directivity. They show empirical response spectra for
forward directivity for a M = 7 earthquake at 5 km distance
on soil (Fig. 1). These spectra are generated by modifying
the empirical median and 84th percentile response spectra
predicted by Abrahamson and Silva [9].

Directivity effects are taken into account in the design of
retrofits for the California Transportation Authority
(CALTRANS) toll bridges by using separate response spec-
tra with a strike normal and strike parallel components to
represent near-fault effects.

Evidence from recorded strong motion data indicates that
ground motions may be large at the edges of fault controlled
basins. For example, strong motion recordings in the Santa
Monica area from the 1994 Northridge earthquake are char-
acterized by large amplitudes and durations of shaking. In
this region, the basin edge geology is controlled by the
active strand of the westward striking Santa Monica fault.
Despite having similar surface geology, sites to the north of
the fault show relatively modest amplitudes, whereas sites
to the south of the fault exhibit significantly larger ampli-
tudes, with a clear and immediate increase in amplification
occurring at the fault scarp. Graves et al. [10] used 2D and
3D finite difference ground motion simulations to investi-
gate the significance of the basin-edge structure.

2.2. Selection of design ground motions

It is currently fashionable to develop design spectrum
compatible time histories. This development entails the
modification of a time history so that its response spectrum
matches within a prescribed tolerance level, the target
design spectrum. In such matching it is important to retain
the phase characteristics of the selected ground motion time
history. Many of the techniques used to develop compatible
motions do not retain the phase. Abrahamson [11] has
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developed an approach that does preserve the phasing of the
original record.

The response spectrum alone does not adequately char-
acterize near-fault ground motion. This motion is usually
characterized by a long period pulse of strong motion of a
fairly brief duration rather than the stochastic process of
long duration that characterizes more distant ground
motions. Spectrum compatible motions will not have this
characteristic unless the basic motion being modified to
ensure compatibility has forward directivity effects
included.

Spectral compatible motions match the entire spectrum
within a prescribed tolerance. No real earthquake ground
motions will do this. It has been common in the seismic
design of critical structures to select representative earth-
quakes in the near-field, intermediate-field and far-field with
a view to exploring the full range of spectral response in the
structure. However, when spectral compatible motions are
used, all periods are subjected to the full design seismic
action. Naeim and Lew [12] on the basis of nonlinear analy-
sis of structures have expressed the view that these spectrum
compatible motions should not be used for damage assess-
ment because they give exaggerated estimates of displace-
ment demand and energy input. For this reason, designers
should be cautious about using spectrum compatible
motions when estimating the displacements of embankment
dams and earth structures under strong shaking, if the accep-
table performance of these structures is specified by criteria
based on tolerable displacements. Representative recorded
earthquake motions that match different parts of the spec-
trum are preferable.

2.3. Special cases

In most existing attenuation relationships, there is no
explicit recognition of directivity effects. These effects
tend to contribute to some of the substantial deviations
from the median ground motions. If the probabilistic
response spectrum is based on median ground motions,
then it likely represents average directivity conditions. If
the response is based on the mean plus one standard devia-
tion, then it approximates forward directivity conditions and
many of the time histories used should have forward direc-
tivity characteristics [1].

One of the difficulties with designs based on spectra is
determining what are the appropriate scenario earthquakes
for selecting appropriate recorded ground motions for
nonlinear analyses or for conducting liquefaction analyses.
The probabilistic response spectrum represents the aggre-
gated contribution of a range of earthquake magnitudes on
different faults and seismic zones at various distances from
the site, and also includes the effect of random variability for
a given magnitude and distance. Appropriate earthquakes
can be determined using a procedure proposed by McGuire
[13], which deaggregates the contributions to the spectrum
by magnitude, distance and the parameter € that, for the

deaggregated magnitude and distance, defines the number
of standard deviations above or below the median ground
motion level that is required to match the probabilistic
spectrum.

In the near-fault region, the horizontal ground motion in
the direction perpendicular to the fault strike is significantly
larger than the horizontal component parallel to the fault
strike at periods longer than about 0.5 s. Since fault strike
is usually well known close to major faults, it is straightfor-
ward to take the difference between the strike normal and
strike parallel components of motion into account in the
evaluation of near-fault ground motions, especially for
base isolated buildings, bridges, dams, and other structures
that are particularly sensitive to long-period ground
motions. Consideration of these differences may be espe-
cially important for the retrofit of existing structures near
active faults.

Foundations of long structures such as the multiple
supports of a bridge undergo different ground motions at
each support. To properly evaluate the response of such
structures, it is necessary to vary the ground motions across
the foundation. There are two effects that need to be consid-
ered; the wave passage effect and the lack of coherence
between the motions at the different locations. The incoher-
ence increases with increasing distance between the
supports and increases in the wave frequencies.

Abrahamson et al. [14] developed models of spatial varia-
tion of ground motion from strong motion data recorded in
dense arrays. Abrahamson has also developed methods for
generating suites of time histories for different foundation
locations with spatial incoherence that matches the
prescribed coherency model.

3. Dynamic response analysis

The dynamic response analysis of earth structures and
soil sites is still largely based on technology developed in
the 1970s and which represents the very first attempts to
carry out nonlinear analysis by equivalent linear (EQL)
procedures.

The EQL analyses are conducted in terms of total stresses
and so the effects of seismically induced porewater pres-
sures are not reflected in the computed stresses and accel-
erations. Also since the analyses are elastic, they cannot
predict the permanent deformations directly. Therefore
equivalent linear methods are used only to get the distribu-
tion of accelerations and shear stresses in the dam. Semi-
empirical methods are used to estimate the permanent defor-
mations and porewater pressures using the acceleration and
stress data from the equivalent linear analyses [15]. Finn
[16] has presented a detailed review of these methods.

These procedures appear to work quite well provided the
behavior of the structure is not strongly nonlinear and
significant pore pressures do not develop. Seed et al. [17]
note that this method can occasionally predict large
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displacements that do not occur, when there is strong nonli-
nearity or high porewater pressures. The Newmark [18]
analysis procedure based on sliding rigid block analysis,
which is often used in practice, is particularly inappropriate
when a large zone has liquefied in an embankment or foun-
dation.

A major motivation for the development of more general
constitutive relations has been the need to model nonlinear
behavior in terms of effective stresses and to provide reli-
able estimates of porewater pressures and permanent defor-
mations under seismic loading.

A hierarchy of constitutive models is available for the
dynamic response of embankment dams to earthquake load-
ing. The models range from the relatively simple hysteretic
nonlinear models to complex elastic—kinematic hardening
plasticity models. Detailed critical assessments of these
models may be found in Finn [16,19] and Marcuson et al.
[20].

3.1. Direct nonlinear analysis

The direct nonlinear approach is presented as incorpo-
rated in the program TARA-3 [21] because there is extensive
experience in using this method in practice. In addition, the
program has been validated in an extensive series of centri-
fuge tests conducted on behalf of the US Nuclear Regula-
tory Commission [19].

In this model, the behavior of soil in shear is assumed to
be nonlinear and hysteretic. The response of the soil to
uniform all round pressure is assumed to be nonlinearly
elastic and dependent on the mean normal effective stress.

The objective during analysis is to follow the stress—
strain curve of the soil in shear during both loading and
unloading. Checks are built into the program to establish
whether or not a calculated stress—strain point is on the
stress—strain curve and correction forces are applied to
bring the point back on the curve if necessary. To simplify
the computations, the stress—strain curve is assumed to be
hyperbolic. This curve is defined by two parameters, which
are fundamental soil properties, the strength 7,,,, and the in
situ small strain shear modulus G,,.

The response of the soil to an increment in load, either
static or dynamic, is controlled by the tangent shear and
tangent bulk moduli appropriate to the current state of the
soil. The moduli are functions of the level of effective stress
and therefore excess porewater pressures must be continu-
ally updated during analysis, and their effects on the moduli
taken progressively into account.

During seismic shaking, two kinds of porewater pressures
are generated in saturated soils; transient and residual. The
residual porewater pressures are due to plastic deformations
in the sand skeleton. These persist until dissipated by drai-
nage or diffusion and therefore they exert a major influence
on the strength and stiffness of the soil skeleton. These
pressures are modeled in TARA-3 using the Martin et al.
[22] porewater pressure model.

In the past decade, this type of analysis has been widely
used in seismic safety evaluation of embankment dams and
in assessing remediation options using displacement
criteria.

3.2. Elastic—plastic methods

The more appropriate elastic—plastic models of soil beha-
vior under cyclic loading are based on a kinematic harden-
ing theory of plasticity based on multi-yield surfaces or a
boundary surface theory with a hardening law giving the
evolution of the plastic modulus. These constitutive models
are complex and incorporate some parameters not usually
measured in field or laboratory testing. Soil is treated as a
two-phase material using coupled equations for the soil and
water phases. The coupled equations and the more complex
constitutive models make heavy demands on computing
time [16].

Validation studies of the elastic—plastic models suggest
that, despite their theoretical generality, the quality of
response predictions is strongly path dependent [16,23].
When loading paths are similar to the stress paths used in
calibrating the models, the predictions are good. As the
loading path deviates from the calibration path, the predic-
tion becomes less reliable.

Typical elastic—plastic methods used in practice to eval-
uate the seismic response of embankment dams are DYNA-
FLOW [24], DIANA [25], DSAGE [26], DYNARD [27], and FLAC
[28].

3.3. Recommendations for analysis

Analysis should be conducted in the appropriate stress
mode, either total stress or effective stress. Reliable
programs, which are adequately validated, are available to
conduct such analyses. However, no matter which program
is used, it is vitally important to calibrate the constitutive
model for the job at hand. The stress—strain features of the
model should be calibrated for the dominant loading path
expected. If this is primarily shear on horizontal planes, then
calibration is best done in terms of simple shear data. If
rocking is of prime concern, then triaxial test data would
be preferable. Different calibrations may be necessary for
different parts of the region being analyzed. Calibration for
seismic loading should include the use of cyclic loading data
either from simple shear or triaxial tests. It has been well
documented in the past [23] that calibration using static test
data does not lead to good predictions of response to cyclic
loading.

It is especially important to calibrate the porewater pres-
sure prediction process. If in-situ penetration test data, such
as SPT or CPT data is used to establish the liquefaction
resistance curve for design, then the constitutive model
should be able to predict the curve. If laboratory data
from high quality samples are available, then the rate of
development of porewater pressure during cyclic loading
should be adequately predicted by the calibrated model.



W.D.L. Finn / Soil Dynamics and Earthquake Engineering 20 (2000) 1-15

0.6 T
- -]
PercTent Fines=35 15 <5
0.5 |
©
I

b> " ,‘ a
\5’ 04 ] :"

- I \/‘\/\ CRR curves for 5, 15,
2 II / J T~ and 35 percent fines,
& * e/ respectively
w 0.3 P
(%] [} / //

g e
% .. [ ] ° A{
2 ) yaR
(_J 02 ra 28
> }0’ /
O . om ,‘ a
A
%e/{a FINES CONTENT 5%
0 1 _Q_:_ Modified Chinese Code Proposal (clay content =5%) @
) % liospacgon | (Maminal - No
| ’Adjustment Pan-Americandata  ® o
_\— Recommended| Japanese data ° ) )
0 By Workshop | Chinese data a a
0 10 20 30 40 50

Corrected Blow Count, (N,),,

Fig. 2. Simplified base curve recommended for calculation of CRR from SPT data along with empirical liquefaction data (modified from Seed et al. [31]).

This type of performance calibration puts useful restraints
on the operation of the constitutive model and gives rise to
more confidence in the computed response of the structures.
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Fig. 3. Curve recommended for calculation of CRR for earthquake magni-
tude M = 7.5 from CPT data along with empirical liquefaction data (modi-
fied from NCEER [30]).

the line of critical stress ratios for a M = 7.5 earthquake
passed through the origin. In the revised chart, the lower
part of this curve cuts the stress ratio axis at 0.05 as shown in
Fig. 2.

The NCEER committee also recommended a liquefaction
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assessment chart based on cone penetration test data shown
in Fig. 3. Since 1985, the volume of cone penetration data
available for analysis increased greatly and there is now
sufficient CPT data to define the critical stress ratio curve
separating liquefaction conditions from non-liquefaction
conditions. Earlier, liquefaction resistance charts using
CPT data were based heavily on SPT data converted to
equivalent CPT data.

Another significant change recommended by the NCEER
committee is the adoption of the Robertson and Fear [32]
procedure for evaluating liquefaction potential using the
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Fig. 5. Comparison of NCEER [30] and Eurocode 8 [3] recommendations
for evaluation of liquefaction potential on the basis of wave velocity.
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Table 1
Magnitude scaling factor values defined by various investigators (after
NCEER [30])

Magnitude (M) Seed and Idriss [30] Idriss [34]  Ambraseys [35]

5.5 1.43 2.20 2.86
6.0 1.32 1.76 2.20
6.5 1.19 1.44 1.69
7.0 1.08 1.19 1.30
75 1.00 1.00 1.00
8.0 0.94 0.84 0.67
8.5 0.89 0.72 0.44

cone penetration test. They developed a unified approach
for interpreting cone data for liquefaction assessment with-
out direct determination of the fines content. The procedure
is based on a soil chart, which identifies the soil type on the
basis of normalized cone bearing resistance and normalised
side friction.

The NCEER committee recommended a liquefaction
assessment chart based on shear wave velocity (Fig. 4).
As shown in Fig. 5, this chart is radically different from
the chart advocated by Eurocode 8.

The chart proposed by Eurocode 8 is one that was devel-
oped by Robertson et al. [33]. This chart was based on
limited data. A great deal of data has become available
since that time and this has led to the very different recom-
mendation by NCEER [30].

The NCEER committee reviewed the magnitude correc-
tion factors used to convert the critical stress ratios from the
liquefaction assessment chart for M = 7.5 to those appro-
priate for earthquakes of other magnitudes. They adopted
new factors proposed by Idriss [34], which are given in the
NCEER [30] report. These factors are shown in Table 1
where they are compared with factors developed by Ambra-
seys [35] on the basis of field data available up to about
1986, and the factors recommended by Seed and Idriss,
which are based substantially on laboratory data. The new
factors are significantly higher than the factors recom-
mended by Seed and Idriss [36].

The factor K, which corrects the stress ratio correspond-
ing to (N))g for the effects of effective overburden pressure
has been revised substantially (Fig. 6). The greatest

1.2
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0.8 P~
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0.4
0.2 1.0tsf=96 kPa -

0 L L
0 12 3 456 7 8 9 10
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Fig. 6. Minimum values for K, recommended for clean and silty sands and
gravels (modified from NCEER [30]).
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reduction factor due to overburden pressure is now 0.6;
previously it went as low as 0.4.

Since the NCEER report was published, the committee
has continued to meet to consider the impact of more recent
research on the recommendations of the report. If further
modifications are made, they will be reported in a summary
paper on the NCEER report being prepared for publication
in the Geotechnical Journal of the American Society of Civil
Engineers.

5. Residual strength

In the context of this review, liquefaction is synonymous
with strain softening of relatively loose sands in undrained
shear as illustrated by curve 1 in Fig. 7. When the sand is
strained beyond the point of peak strength, the undrained
strength drops to a value that is maintained constant over a
large range in strain. This is conventionally called the
undrained steady state or residual strength. If the strength
increases after passing through a minimum value, the
phenomenon is called limited or quasi-liquefaction and is
illustrated by curve 2 in Fig. 7. Even limited liquefaction
may result in significant deformations because of the strains
necessary to develop the strength to restore stability.

A major challenge facing engineers is the selection of the
appropriate residual strength of liquefied materials for use in
analyses to assess the post-liquefaction stability of embank-
ments and other soil structures. The residual strength has a
major impact on the cost of remediation. Laboratory
research, especially in the last 5 years, has done much to

1200 @ SPT data and residual strength parameters measured
O SPT data and residual strength paramet i d

O Construction - induced liquefaction and sliding case histories

J
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1 1 1

0 4 8 12 16 20 24
Equivalent Clean Sand SPT Blowcount, (Ny)go.s

Fig. 8. Relationship between corrected “clean sand” blowcount (N})g.cs and
undrained residual strength, s,, from case studies (after Seed and Harder
[38]).

clarify the factors that control residual strength and provides
some basis for selecting residual strength for design.
However, the appropriate residual strength for design and
analysis is still controversial.

5.1. Residual strength based on case histories

Seed [37] back-analyzed a number of embankments in
which significant displacements had occurred during earth-
quakes as a result of liquefaction. He published a chart
linking the residual strength to the (N)g.cs» the normalized
penetration resistance for clean sands. A revised version of
this chart by Seed and Harder [38] is shown in Fig. 8. Use of
this chart for estimating residual strength is widespread in
engineering practice.

Concerns have been expressed that in some case histories
in Fig. 8, displacements may not have been sufficient to
have mobilized residual strength. In others, because of
lack of direct data, either assumptions or data from
adjacent locations had to be used to generate the appro-
priate (N)go.cs. There seem to be very few case histories
for clean sand in the correlation. The correction for
fines content has also been queried. Recently, the
National Science Foundation held a workshop on resi-
dual strength at which these questions were discussed
[39]. A committee has been appointed to re-examine
these case histories and to report in due course. This
report should be of great interest and may result in
proposed changes to the correlation. It is hoped that
the review will also provide the data to facilitate inde-
pendent interpretation of the case histories.

Another limitation of the analysis of field data is the
assumption that sliding takes place on a single slip
surface as in conventional slope stability analysis.
This assumption is not valid when a significant liquefied
zone is deforming. Energy is dissipated throughout the
deforming liquefied zone. The only way to capture this
energy dissipation is by a finite element analysis that
incorporates the proper distribution of residual strength.
Neglecting the volumetric dissipation of energy is
analogous to ignoring the zones of radial shear AGC
and BCD in the classical Prandtl solution for undrained
bearing capacity of a clay (Fig. 9) and assuming shear
is mobilized only on the bounding sliding surfaces such
as ACDE and FGCB. If the zones of radial shear are
neglected, the estimated bearing capacity is 4.36¢,
which is 85% of the Prandtl value of 5.14c¢,, where ¢,
is the undrained shear strength.

6. Residual strength from laboratory tests

Extensive research has been conducted in the laboratory
on the factors controlling the residual strength. Originally, it
was thought to be a function only of the void ratio for a
given sand [40,41]. Research studies, since 1988, some of
which will be described below, suggest that the undrained
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Fig. 9. Failure mechanism under a long footing in clay.

residual strength measured within the strain capacity of
laboratory equipment is a function of:

e sample preparation technique;
e stress path followed during loading;
e cffective confining pressure.

6.1. Effect of sample preparation

Many laboratory studies of liquefaction use samples
prepared by moist tamping because it is the easiest way to
form relatively loose samples. However, it frequently
results in void ratios, which are not accessible to the same
sand under deposition conditions in the field. Other methods
in use are air pluviation and pluviation under water. Vaid et
al. [42] has demonstrated that the residual strength
measured on samples prepared in different ways are quite
different (Fig. 10). Vaid et al. [43] tested frozen field
samples of two different Recent sands to determine the resi-
dual strength. He then reconstituted the same samples to the
same void ratio using pluviation in water. The reconstituted
samples gave residual strengths very similar to the frozen
field samples. These results are a strong argument for using
pluviation under water to form representative samples of
soils, which were originally deposited under water or were
placed by hydraulic fill construction. The moist tamping
method would seem to be more appropriate for forming
representative samples of unsaturated compacted soils.

80
o= 200 kPa Water Pluviated
e =0.777
& 60
x
l-'—:
@ 40
< . ’
n Air Pluviated
E e = 0.768
w 20

Moist Tamped
| | & =0.767
0

0 5 10 15 20

Shear StrainY, %

Fig. 10. The effect of sample preparation on undrained simple shear
response of Syncrude sand (Vaid et al. [42]).

6.2. Stress path

Uthayakumar and Vaid [44] and Yoshimine et al. [45]
have explored the effects of stress path on residual strength
over a wide range of stress paths defined by «, the inclina-
tion of the principle stress to the vertical axis of the sample,
and the parameter b = (0, — 03)/(0 — 03), which is a
measure of the intermediate principle stress. The samples
were tested using the hollow cylinder torsional shear
device. Typical examples of this kind of data [45] are
shown in Fig. 11, which suggest that different residual
strengths should be assigned to different parts of a liquefied
zone in an embankment depending on the predominant
stress conditions. This selective use of shear strength for
design is not new. Bearing capacity under offshore struc-
tures in the North Sea is evaluated using compression,
simple shear and extension strength data to suit stress condi-
tions at different locations along potential sliding surfaces.

6.3. Residual strength as a function of effective confining
pressure

The practice of expressing the residual strength as a frac-
tion of the effective confining pressure has been used in
practice on several water-retaining and tailings dams since
it was used on Sardis Dam in 1989 [46,47]. For the most
part, the ratio selected has been between 0.06 and 0.1. A
value of S,/p’ = 0.23 was used for Duncan Dam, based on
extensive testing of frozen samples [48].

100
;_«? Toyura sand D,=39-41%, b=0.5
=
S
e}
|
b
n
(%3
3
(7]
2
[
]
[
=
(7]
o 1 A1 1 1 1 1
0 2 4 6 8 10 12 14

Shear strain, Y=€, — €, (%)

Fig. 11. Effect of stress path on undrained behavior of Toyoura sand (Y oshi-
mine et al. [45]).
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Fig. 12. Relationship between the residual strength normalized by the
effective confining stress and void ratio in extension tests on Fraser River
(after Vaid and Thomas [49]).

Vaid and Thomas [49], using extension tests with fric-
tionless end platens, determined the residual strength of
Fraser River sand over a range of void ratios and confining
pressures. The results clearly demonstrated the dependence
of residual strength of overburden pressure. Their results are

a 150

Fraser River sand
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100 F *°
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Fig. 13. (a) Variation of steady-state strength in simple shear with void ratio
and confining stress, (b) Variation of normalized residual strength with void
ratio (after Vaid and Sivayathalan [50]).

replotted in Fig. 12; normalized with respect to the effective
confining stress. Despite some scatter, the variation of S,/p’
is well represented by the curve shown (Fig. 12). Similar
results (Fig. 13) were obtained for simple shear tests by
Vaid and Sivathayalan [50].

7. Post-liquefaction displacement analyses

The use of large displacement analysis in evaluating post-
liquefaction response and assessing the adequacy of
proposed remediation measures has now become part of
engineering practice. It was first applied to Sardis Dam in
1989 by Finn et al. [47]. Post-liquefaction analysis and its
application in design of remediation measures have been the
subject of previous reviews [16,51]. Practice has demon-
strated that remediation measures based on displacement
criteria are much more cost-effective than those based on
the factor of safety approach.

There has been little direct validation of displacement
analysis based on field data. The few case histories available
are poorly defined, both in terms of input motion and in the
definition of the deformed shape of the dam. A large number
of embankment failures, which occurred in Hokkaido
during the Kushiro-oki earthquake of 1993 and the
Nansei-oki earthquake of 1994, provided a good opportu-
nity for validating post-liquefaction deformation analysis by
means of a series of blind tests in which predictions were
checked against field data by an independent group. These
case histories will be described below in some detail
because of their importance for the validation of displace-
ment analysis.

Between 1995 and 1998, displacement analyses were
conducted on many flood protection dikes in Hokkaido,
Japan, which had been damaged during the Kushiro-oki
and Nansei-oki earthquakes in 1993 and 1994, respectively.
The objective was to develop a criterion based on potential
post-liquefaction crest settlement to prioritize the remedia-
tion of dikes against future earthquakes. A two-step strategy
was adopted for the studies. First, failures of dikes in eastern
Hokkaido would be simulated. If these simulations were
satisfactory, then the analyses would be used to predict
crest settlements in a number of dikes in western Hokkaido,
which had significant post-liquefaction displacements. The
displacement analyses were conducted in Vancouver,
Canada, and the predictions were verified by engineers
from the Advanced Construction Technology Center
(ACTEC), Tokyo, and the Hokkaido Development Bureau
on the basis of field data known only to them.

7.1. Simulation of dike failure at section 9K850 in eastern
Hokkaido

The failure mode at a location on the left bank of the
Kushiro river is shown in Fig. 14. The height of the dike
before the earthquake was about 7 m and the crest width was
about 8 m. As a result of earthquake shaking, the crest of the
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Fig. 14. Mode of failure on left bank of Kushiro River at station 9K850.

dike settled about 2 m and movement of the slope of the
order of 3 m took place towards the river. The ground was
frozen to a depth of about 0.7 m at the time of the earth-
quake. The brittle nature of the frozen layer is probably
responsible for the sharp step feature in the crest near the
upstream slope. This frozen layer was taken into account
during the simulation.

Appropriate input motions for seismic analysis were
specified by Jishin Kogaku Kenkyusho, Tokyo. Relevant
soil properties were provided by ACTEC. Dynamic analysis
was conducted in the effective stress nonlinear mode using
the program TARA-3 [21]. The large strain post-liquefaction
deformations were calculated using the program TARA-3FL
[52]. This program allows the liquefied region to deform at
constant volume and uses a Lagrangian updating scheme to
handle large strains.

The computed deformed shape of the dike is shown in
Fig. 15. The sharp break in the surface shows the effect of
the frozen ground. The deformed shape and the magnitudes
of displacements agree fairly well with the displacements
measured after the earthquake. The computed maximum
settlement and horizontal displacement are 2.3 and 2.7 m,
respectively, compared to measured displacements of 2 and
3m.

The simulation studies were considered satisfactory and a
major parametric study was approved to investigate the
effects of some of the important cross-sectional parameters
that control the consequences of liquefaction, such as the
thickness of a non-liquefiable layer overlying the liquefied
layer, the thickness of the liquefied layer itself, and the

P

Fig. 15. Computed post-liquefaction shape of the dike.
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Fig. 16. Typical cross-section of dike for analysis.

S,/ oy = 0.1

height and side slopes of the dikes. The effects of these
parameters were characterized by the settlements of the
crests of the dikes after liquefaction.

7.2. Estimation of crest settlements

The crest settlements were estimated first for dikes with
side slopes 1:2.5 as shown in Fig. 16. The thicknesses of the
liquefied and non-liquefied layers were varied and the
resulting displacements after liquefaction are plotted in
non-dimensional form in Fig. 17.

The non-dimensional computed crest settlements, S/Hp
are shown by the curve in Fig. 17. The equation of the
curve is given by:

o =00l exp (0922572 L) )
Hy, Hy, Hy

where § is the crest settlement, Hp the height of the dike; Hy,
and Hyy are the thicknesses of the liquefiable and non-lique-
fiable layers, respectively. The residual strength ratio was
S,/a’y, = 0.10. This curve was adopted for predicting crest
settlement.

Engineers from ACTEC and the Hokkaido Development
Bureau compared the measured crest settlements from a
wide variety of dikes in western Hokkaido, which
underwent noticeable displacements during the Nansei-oki
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Fig. 17. Comparison of crest settlement prediction curve for dikes with
slopes 1:2.5 with actual crest settlements for dikes with various side slopes.
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Fig. 18. Risk management framework proposed by Canadian Standards Association (from International Journal on Hydropower and Dams [60] with

permission).

earthquake in 1994 with those predicted by Eq. (1). The data
points and the prediction curve are plotted in Fig. 17. The
black points represent the real cases corresponding to some
of the idealized analyses done to develop the curve; the open
points represent other dikes. The agreement was very good
for dikes with slopes of 1:2.5, but the field data showed that
the side slopes had an important effect on the crest settle-
ment and that separate criteria would be necessary for two
other predominant slopes; uniform side slopes of 1:5,
and unequal slopes, 1:5 and 1:10. Parametric studies
were conducted for different values of S,/c,,. Displace-
ments in dikes with S,/d’,, = 0.15 were all within the
tolerable range. It can be seen that the criterion based
on crest settlement can be useful for deciding which
dikes should be remediated first. The larger the
predicted settlement, the more urgent the need for reme-
diation. The Hokkaido dikes study is an important case
history because it is the only instance in which post-
liquefaction displacement analysis has been validated
independently in blind tests in a large number of
earth structures undergoing different levels of post-
liquefaction displacements.

Table 2
Usual minimum criteria for design earthquakes [53]

8. Seismic risk in geotechnical earthquake engineering
8.1. Seismic risk assessment for dams

Seismic risk analysis provides a rational basis for the
evaluation of dam safety during an earthquake. It is a
process by which the consequences of exposure to a range
of probabilistic seismic hazards are determined. The conse-
quences are most often expressed in terms of both loss of
life or economic loss at various probabilities of exceedence.

Risk analysis in the field of embankment dams is rela-
tively new in engineering practice and most engineers do
not have the knowledge or experience for making decisions
on the basis of risk assessment. Risk assessment was
adopted by the US Bureau of Reclamation (USBR) in
1995 and the US Army Corps of Engineers in 1997. The
objective of USBR was “to ensure that structures do not
create unacceptable risks to public safety and welfare, prop-
erty, the environment and cultural resources”. The Canadian
Standards Association has developed the general framework
for risk management shown in Fig. 18. There are two main
structures in the framework, risk assessment and risk

Minimum design earthquake (MDE)*

Consequence category Deterministically derived

Probabilistically derived (Annual exceedence probability)

Very high MCE® 107
High® 50% to 100% MCE 103t 107
Low - 107210 1073

* MDE (maximum design earthquake) firm ground accelerations and velocities can be taken as 50—100% of MCE values. For design purposes the magnitude

should remain the same as the MCE.

® For a dam site, MCE (maximum credible earthquake) ground motions are the most severe ground motions capable of being produced at the site under the

presently known or interpreted tectonic framework.

¢ In the ‘High’ consequence category, the MDE is based on the consequences of failure. For example, if one incremental fatality would result from failure an
AEP (annual exceedence probability) of 107 could be acceptable, but for consequences approaching those of a “Very High’ consequence dam, design

earthquakes approaching the MCE would be required.
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Table 3
Consequence classification of dams [53]

Consequence Potential incremental consequences of failure®
Loss of life Economic, social, environmental
Very high Large increase expected” Excessive increase in social, economic and/or environmental losses.

High Some increase expected® Substantial
increase in social, economic and/or
environmental losses.

Low No increase expected

Very low No increase

Low social, economic and/or environmental losses.
Small dams with minimal social, economic and/or environmental losses.

Losses generally limited to the owner’s property; damages to other property
are acceptable to society.

* Incremental to the impacts, which would occur during an earthquake but without failure of the dam. The type of consequence (e.g. loss of life or economic
losses) with the highest rating, determines which category is assigned to the structure.

® The loss-of-life criteria which separate the ‘High’ and ‘Very High’ categories may be based on risks which are acceptable or tolerable to society, taken to be
0.001 lives per year for each dam. Consistent with this tolerable societal risk, the minimum criteria for a ‘“Very High’ consequence dam (MCE) should result in

an annual probability of failure less than 1/100,000.

control, both of which form the basis for decisions on risk
management.

8.2. Approaches to risk assessment

The simplest approach to introducing probabilistic meth-
ods into the evaluation of dam safety is to formulate safety
guidelines in which the hazard to the dam is defined prob-
abilistically as a function of the potential consequences of
failure expressed in general terms. The probability of the
failure is not evaluated. The dam safety guidelines formu-
lated by the Canadian Dam Safety Association (CDSA)
[53], are a good example of this approach. These guidelines
have been adopted nationally. The CDSA recommendations
on hazards specifications are outlined in Table 2 as a func-
tion of three categories of consequences of failure. The
categories are defined in Table 3. The procedure for safety
analysis of dams, once the seismic hazard is selected, follow
conventional deterministic procedures such as stability
calculations based on limit equilibrium and finite element
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Fig. 19. ANCOLD societal risk criteria (from International Journal on
Hydropower and Dams [60] with permission).

methods. However, for High Consequence Dams in moder-
ate to high seismic zones, seismic response and displace-
ment analyses should be considered.

The Australian National Committee on Large Dams
(ANCOLD) has been in the forefront in promoting formal
risk assessment. In 1994, ANCOLD released its guidelines
on risk assessment [54]. Some key elements of their guide-
lines as follows:

e Ensure that new dams, and dams being upgraded, satisfy
the societal risk criterion given by the lower curve in Fig.
19.

e Ensure that existing dams satisfy the societal risk criter-
ion given by the upper curve of Fig. 19, but carefully
consider the principle that the risk be as low as reason-
ably possible.

e Ensure that a dam complies with both individual risk and
societal risk criteria. In assessing compliance with indi-
vidual and societal risk criteria, use a recognized meth-
odology, such as the procedures set out by the US Bureau
of Reclamation to estimate expected loss of life.

Note the crucial difference between formal risk assess-
ment and the standards approach. The probabilities are now
specified for the consequences, whereas in the standard
approach, the emphasis is on the probability of the hazard.

8.3. Framework for risk assessment

The framework for formal risk assessment defines how to
go from probabilistic specification of seismic hazard to the
determination of the probabilities associated with different
levels of consequences. The form of the framework depends
on the potential failure modes of the dam. An example is
presented in Fig. 20 from a paper by Lee et al. [55], which
describes how the probability of different levels of post-
liquefaction damage and consequences were assessed for
Keenleyside Dam in British Columbia.
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LEVEL 1 LEVEL 2 LEVEL 3 LEVEL 4 LEVEL § LEVEL 6 LEVEL 7
PROBABILITY OF MAGNITUDE WEIGHTS FOR PROBABILITY PROBABILITY RESERVOIR PROBABILITY
ACCEL. AMPLITUDES CONTRIBUTION LIQUEFACTION OF LIQUEFAC. FOR CREST WATER LEVEL OF DAMAGE
(PROBABILITY PROBABILITY TRIGGERING/ SLUMPING PROBABILITY
VALUES ARE BASED MODEL ZONE
ONS, @T=1.5S)
Contrib. for Crest Slumping No damage
A,=050g Mag=17.5 Oto 1/8m No action
req’d.
Contrib. for Crest Slumping RWL = Little
A,=042g Mag =7.0 1/8t0 12 m 440 m damage,
if any
Contrib. for Liao,Veneziano, CRR for 0.85 Crest Slumping RWL = Small
A,=032g Mag=6.5 Whitman model liq. probability 122t0 1.5 m 435m damage,
SEISMIC some remed.
> ——p
-> . - —> ~—> —> . .
Contrib. for Youd & Noble CRR for 0.50 Crest Slumping RWL = ncrease
A,=026g Mag = 6.0 model lig. probability 1.5t03.0m 430 m t?]rough
-flow
Contrib. for CRR for 0.15 Crest Slumping RWL = SI"PC
A,=0.18g Mag=5.5 liq. probability 3.0t050m 425m over-
topping
Contrib. for Crest Slumping Rapid
A,=0.10g Mag=5.0 >50m over-
topping

Fig. 20. Event tree used for the probability of liquefaction-failure (after Lee et al. [55]).

The first step is to specify the seismic hazard in Level 1
(Fig. 20). A range of shaking intensities is specified by peak
ground accelerations. Each level of acceleration has its
probability of exceedence. The potential for liquefaction,
all other things being equal, depends on the duration of
strong shaking. Duration is represented by the earthquake
magnitude in the techniques used in engineering practice for
assessing liquefaction potential [31,36]. Therefore, the
magnitudes contributing most to the specified levels of
shaking are obtained from a conventional seismic hazard
assessment using a program such as EZ-FRISK 4.0 [56],
which allows de-aggregation of the magnitudes contributing
most to each level of seismic risk. On this basis, the magni-
tudes in Level 2 can be obtained. Level 3 in the event tree is
the designation of the liquefaction model to be used in the
analysis. Liao et al. [57] and Youd and Noble [58], using the
database for the deterministic models, have developed
charts that allow the estimation of the probability of lique-
faction for a given level of shaking and a given level of
liquefaction resistance to cyclic loading (CRR) specified
by data from Standard Penetration Tests (SPT) or Cone
Penetration Test (CPT). In the Keenleyside study, only the
Liao et al. [57] probability model was actually used. If both
models had been used, then weighting factors should be
assigned to each. Cyclic resistance ratios, CRR, with prob-
abilities of liquefaction of 0.85, 0.50 and 0.15 are used to
assess the potential damage to the dam in terms of displace-
ments such as loss of freeboard (crest slumping). These

analyses are carried out by finite element analyses using
post-liquefaction stress—strain-strength properties in the
liquefied soils.

Six different levels of crest slumping are used to charac-
terize the potential performance of the dam. At this stage,
the conditional probabilities of these different levels may be
introduced, based on computed response data and taking
into account potential variations in properties of the materi-
als, uncertainties in the analysis procedure itself, and the
exercise of judgement. The definition of performance is a
very critical part of the entire process. A simple criterion
based on safety of factor against slope failure has been found
to be unsatisfactory [55,59]. The probabilities based on such
a narrow criterion appear to be overly sensitive to some
details of the analyses.

The next step is evaluating the consequences. The conse-
quences of the loss of freeboard associated with crest slump-
ing obviously depends on the level of the reservoir. The
probability of the reservoir being at specific levels can be
calculated from the long-term records of reservoir opera-
tion, and consequently, probabilities can be assigned to
the reservoir level being at a number of representative
stages, as shown in Fig. 20. Judgements must now be
made of the damage potential for the different combinations
of crest settlement and reservoir level. This is the difficult
part and requires expert judgement to assign subjective
probabilities.

Whatever reservations one may have about the
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probability of the various consequences derived from a risk
assessment analysis, it is clear that constructing the event
tree forces one to think in a very detailed way about the
process by which failure develops in the dam, and therefore,
it contributes to a deep understanding of how the dam is
likely to behave. This is a very positive benefit of any well-
conducted risk assessment study.
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